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Abstract 
An evaluation of the seismic performance of the Christchurch Catholic Basilica, New 
Zealand, also known as the Cathedral of the Blessed Sacrament, is presented. The cultural 
importance of the Basilica has been recognized, as it is listed as a Category I building on 
the New Zealand heritage register. Four strong earthquakes that occurred between 
September 2010 and June 2011 caused progressive damage and local collapse in the 
Basilica. Numerical analyses were performed to allow a seismic assessment of the 
Basilica using the Finite Element Method. A macro-modelling approach following 
homogenization concepts was considered and the seismic behaviour of the structure was 
evaluated through pushover analysis with the distribution of forces being proportional to 
the mass. The analyses allowed damage patterns and capacity curves to be determined, 
and identified the most vulnerable elements, the maximum load capacity, and the 
expected collapse mechanisms. Furthermore, a comparison between the numerical output 
and the existing crack patterns was undertaken, and good agreement was obtained. 
Finally, two strengthening techniques were evaluated with the aim of reducing the seismic 
vulnerability of the structure by avoiding collapse of the most vulnerable structural 
elements. 
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1 Introduction 1 
Cultural heritage buildings include structures that represent a set of particular values 2 
that symbolically allow them to become part of a given identity and continuity [1]. 3 
Nowadays, the conservation principles and recommendations of the international council 4 
on monuments and sites (hereafter, ICOMOS) [2] aim to guarantee that the identity and 5 
significance of heritage buildings will be safeguarded. These guidelines are the outcome 6 
of centuries of ideological evolution, including aesthetic and technical issues [3], [4].  7 
Presented herein is an assessment of the seismic performance of the Cathedral of the 8 
Blessed Sacrament, also known as the Christchurch Catholic Basilica. The Basilica is 9 
listed as a Category I building on the New Zealand (NZ) heritage register (“special or 10 
outstanding historical or cultural significance or value”) [5] and was subject to a 11 
strengthening intervention in 2004. Its safety level was assumed to be adequate then, but, 12 
a sequence of earthquakes caused progressive damage and local collapses. Four main 13 
seismic events occurring over a period of nine months were identified, being: (i) on the 4 14 
September 2010; (ii) on the 26 December 2010; (iii) on the 22 February 2011; and (iv) 15 
on the 13 June 2011. Recognising the symbolism and type of loss associated with this 16 
Basilica, the presented study aimed to represent a contribution to the conservation and 17 
restoration of cultural heritage buildings, enrich the literature in the field and demonstrate 18 
the capability of current advanced analysis tools for engineering applications. 19 
The scope of the research is particularly relevant if one notes that the lack of prompt 20 
action has been indicated as the main cause of collapse of important cultural heritage 21 
buildings, for instance St Marco’s Campanile in Venice (Italy) in 1902, the Civic Tower 22 
of Pavia (Italy) in 1989, and St Martinus Church in Kerksken (Belgium) in 1990 [6]. It is 23 
known that existing UnReinforced Masonry (URM) buildings present a high seismic 24 
vulnerability [7]. This vulnerability can be attributed to: (i) poor out-of-plane capacity, 25 
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which is directly associated with the low tensile strength of URM; (ii) a lack of capacity 26 
to dissipate energy; (iii) the absence of seismic requirements at the time of construction 27 
[7], [8]; (iv) a lack of proper connections between structural elements [9]; (v) flexibility 28 
of the floors [10]; and (vi) deterioration of materials over time [11]. 29 
The process of intervention in these constructions is complex due to the lack of structural 30 
information and their high importance. A scientifically based intervention is less 31 
susceptible to inadequate actions and thus, in order to avoid damaging measures, the 32 
adopted methodology should be incremental, including studies such as an historical 33 
literature review, inspections, monitoring actions, and structural analysis [12], [13]. In 34 
this way, an intervention should be carried out after a careful diagnosis and evaluation of 35 
the safety of the structure in its present state, as defined in the ICOMOS principles [14]. 36 
In the evaluation of safety, numerical modelling is a valuable contribution to assess the 37 
structural behaviour of historical buildings.  38 
There are several approaches and types of analysis that can be used to evaluate the 39 
behaviour of masonry structures. The differences are mainly related to assumptions about 40 
the material and structural behaviour, number of input parameters, modelling effort, 41 
computational time required, and post-processing results. Rational approaches 42 
correspond to easy-to-use and fast solution methods. Nevertheless, the use of graphic 43 
methods has become outdated due to computer technology [15] and the analysis of 44 
historical construction using thrust-line methods is difficult to apply in buildings with 45 
very complex geometries. However, static approaches based on thrust-lines and limit 46 
analysis [16], [17] are a useful tool to estimate the load capacity of structures and are still 47 
used nowadays.  48 
Limit analysis based on the kinematic approach is also a very practical and effective tool 49 
that requires few material parameters, which is a relevant aspect for historical structures 50 
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due to the difficulty of obtaining the material properties [18]. Indeed, macro-block 51 
approaches, based on the rocking of monolithic walls, allow the collapse load factor of 52 
structures to be estimated [19]–[22]. However, an expert-based decision approach is 53 
required for each study case in order to correctly ascertain the potential collapse 54 
mechanisms [22]. Advanced finite element (FE) analysis makes it possible to easily 55 
combine modelling strategies and material constitutive models. In fact, the classic FE 56 
models, usually prepared based on micro-modelling and macro-modelling approaches, 57 
provide accurate results [23], [24]. In the micro-modelling approaches, all the masonry 58 
components (units, mortar, and unit/mortar interface) are separately discretized, leading 59 
to models with a larger number of degrees of freedom and consequently a need for high 60 
computational efforts [25], [26]. Macro-modelling considers masonry as a continuum and 61 
homogeneous material in which isotropic or anisotropic behaviour can be adopted [27]. 62 
This modelling approach has been used with success in the analysis of large masonry 63 
structures, as shown in [28]–[30], and is assumed here. 64 
The outline of the paper is described next. First, a brief description related to the location, 65 
the main structural features of the Cathedral, and preparation of the FE numerical model 66 
is presented. The FE model was prepared using the software DIANA [31], assuming that 67 
the masonry is a continuous and homogeneous material (macro-modelling). Pushover 68 
analysis with a horizontal load distribution proportional to the mass was adopted to 69 
evaluate the seismic response of the structure. In the comparison between the numerical 70 
and real behaviour, the damage pattern, collapse mechanisms, and maximum load 71 
capacity were adopted. 72 
Finally, two strengthening interventions are evaluated, aiming at avoiding local collapses 73 
and taking into account the requirements (ultimate limit state) defined in the seismic code 74 
of NZ (NZS 1170 [32]).  75 
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2 Cathedral of the Blessed Sacrament 76 
2.1  Description of the structure 77 
The Cathedral of the Blessed Sacrament (see Fig. 1) was designed by the architect 78 
Francis William Petre. The Cathedral is based on Roman style, in which the typical 79 
features of the arrangement, that is, a nave, a transept, chapels, an apse, a dome, and bell 80 
towers are presented. The Basilica was built in only four years, between 1901 and 1905, 81 
using Oamaru limestone. The Basilica has, in plan, a length of 62 m (north and south 82 
directions) and a width of 27 m (west and east directions). The highest element is the 83 
dome, with a height of 36 m, followed by the two bell towers, which are 32 m in height 84 
(see Fig. 2). The walls were built with two-leaf stone masonry and a concrete core in the 85 
middle. The stones are linked through grout-filled cavities and have a thickness of about 86 
50 cm. The internal and external claddings have a thickness of 12.5 cm of limestone [33]. 87 
The thickness of the concrete core is equal to 20 cm. The domes are copper lined and the 88 
main dome is supported by four large arches, made from no-fines concrete, that spring 89 
from four large piers at the first-floor level with an internal spiral above [33]. The main 90 
dome is located above the sanctuary, which is not a common feature of this type of church: 91 
usually, the main dome is located at the crossing of the transepts and nave. The nave 92 
contains colonnades with diverse capitals and spacious arcades.  93 
In order to assure an appropriate seismic behaviour, a structural study was performed in 94 
2002, adopting simplified analyses and practical engineering judgement [33]. Based on 95 
this study, a strengthening intervention was carried out, which involved: (i) new 96 
reinforced concrete (RC) slabs with a thickness of 10 cm at the first-floor and roof levels, 97 
aiming at providing a box-behaviour with rigid diaphragms; (ii) steel ties with a diameter 98 
of 3.2 cm and RC ring-beams with a cross section of 20 × 60 cm2 at the two bell towers, 99 
above and below the window openings; (iii) RC ring beams with sections of 20 × 60 cm2 100 
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at the top of the main dome, above and below the windows; (iv) post-tensioning at 101 
alternate columns of the nave colonnade; (v) grouting of external parapets and ornaments; 102 
and (vi) attachment of the gable ends of the roof, the transepts, and ornaments [33]. The 103 
adopted techniques focused on the weakest elements of the building. The building 104 
response was improved to reach the required standard values for lateral load capacity with 105 
a Peak Ground Acceleration (PGA) equal to 0.05 g (g is the gravitational acceleration) 106 
[33]. An intervention based on empirical methods increased the lateral strength for a value 107 
of about 45% of the strength required by the code, which represents 33% of the required 108 
value defined by the current code [33]. It is noted that the intervention was designed based 109 
on the code NZS 1170 [32]. 110 
2.2 Damage survey 111 
The description of the observed damage is presented below for each seismic event 112 
considered. It is important to note that as part of the Christchurch array of seismic 113 
recording stations, the accelerometer station designated as CCCC [34] was located only 114 
20 m from the Basilica. This fact, which is not very common, allowed meaningful 115 
conclusions to be drawn about both the registered PGA and the accelerogram acting at 116 
the base of the Basilica structure. Nevertheless, some attention is required when 117 
comparing the recorded ground motions at the site against the demands specified by 118 
current seismic design standards [32], because the design spectra values can be biased if 119 
soil-structure interaction influences the ground motion characteristics, mainly in the range 120 
of long period, as reported in [35] for the studied series of earthquakes. 121 
The first earthquake occurred in the early morning of 4 September 2010 with a moment 122 
magnitude of MW 7.1. The epicentre was located near Darfield town, a region of 123 
Canterbury located 40 km west of Christchurch [36], [37]. The peak geometric mean 124 
horizontal ground motion acceleration (PGA) registered at the CCCC station was equal 125 
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to 0.22 g [38], with the peak vertical PGA component being 0.15 g [38]. The earthquake 126 
caused some damage to the Christchurch Catholic Basilica [33]. The walls were affected 127 
by minor cracking as well as significant movements in the stones of the west sacristy wall 128 
and out-of-plane movements in the middle column of the north bell tower (eastern 129 
elevation). Despite that, cracks were also observed in retrofitted elements, such as the 130 
underside of the first-floor diaphragm all around the nave and the main dome, in the form 131 
of shear cracks at the joints [33], [39]. After the visual survey, the building was tagged 132 
with a red placard, which prohibited its usage [40]. 133 
The earthquake of 22 February 2011 presented a moment magnitude of MW 6.3. The 134 
horizontal geometric mean PGA at the CCCC station was equal to 0.43 g [41] and the 135 
PGA of the vertical component was 0.69 g. This vertical component of the recorded 136 
ground motion was very significant when compared with the observed value for the 137 
September 2010 earthquake, and this earthquake resulted in severe damage to the 138 
Basilica, with several structural elements collapsing.  139 
The most important damage observed after the seismic event of February 2011 is 140 
described as follows (Fig. 3) [33], [39], [42]: (i) damage at the north and south tower 141 
belfries, with collapse in the northwest and southwest directions, respectively; (ii) the 142 
north and south façades present severe shear cracking behind the bell towers, spalling of 143 
the ground piers (due to in-plane rocking), and high deformations and cracking around 144 
the windows and doors; (iii) cracking of the outward walls of the north and south 145 
transepts; the north wall had a shear crack around one window on the ground level, which 146 
is not significant compared to the south façade; (iv) significant damage at the main dome 147 
drum, as well as collapse of the supporting north arch and severe damage at the south 148 
arch; (v) in the two levels that include the sanctuary, below the Dome and Rotunda, some 149 
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concrete flat roof areas of the upper level (retrofitted in 2004) collapsed and present 150 
severe shear cracks. 151 
Aftershocks occurred on 13 June 2011 and induced further damage in the buildings, 152 
which were already vulnerable after the main earthquakes of September 2010 and 153 
February 2011 [43]. In the case of the Christchurch Catholic Basilica, besides the increase 154 
of the severity of the existing damage, these events led to a need to change the prior 155 
strategies for removal of the main dome [33]. 156 
3 Numerical model 157 
3.1 FE model preparation 158 
The FE numerical model was prepared using the software TNO DIANA [28], assuming 159 
that the masonry is a continuous and homogeneous material (macro-modelling). The 160 
geometric definition has a key role in the modelling process. A thorough and detailed 161 
geometry construction is likely to provide better results. Ideally, a sophisticated three-162 
dimensional model composed of solid FEs only and with a fine refinement level would 163 
better represent all the Basilica’s features. However, such a strategy would require a 164 
considerable effort in the preparation of the mesh as well as in-depth knowledge and 165 
observation, and such analyses are very time consuming. Thus, a simplified geometry that 166 
can represent the main structural features should be adopted. In this context, aiming at 167 
reducing the structural global number of degrees of freedom of the Basilica’s numerical 168 
model, beam, shell and solid finite elements were used, see Fig. 4a. 169 
All the structural members that present an axial length much larger than the dimensions 170 
of its transversal section were modelled using beam elements. A two-node three-171 
dimensional elements were adopted, called L12BE (6 DOF), based on Bernoulli theory 172 
[31]. This element set includes all the interior beams, the west, north, and south porch 173 
columns, the interior colonnades of the nave and altar, and the steel cross braces and RC 174 
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ring beams added to the bell towers in the 2004 strengthening intervention. Note that the 175 
existing three-dimensional frames of the interior dome (5×10 cm2), the Basilica’s main 176 
dome (10×30 cm2), and the nave roofs (diameter =10 cm) were also modelled using beam 177 
elements. It is noted that whilst the latter systems correctly represent the load paths, the 178 
claddings associated with these parts were not explicitly modelled. Instead, representative 179 
point masses (PT3T [31]) were computed for each node located at the top of these three-180 
dimensional frames (nodes which receive the cladding self-weight) according to its 181 
tributary area (Fig. 4d.) 182 
Another adopted strategy was the use of shell FEs to represent geometric parts where the 183 
thickness was small in comparison to the other two planar dimensions, as depicted in Fig. 184 
4a). Three-dimensional curved elements based on Mindlin-Reissner theory were assumed 185 
to simulate all the façades considered as load-bearing walls, the interior walls, the arcades, 186 
the RC slab of the first floor that surrounds the Basilica’s nave and the sacristy, the 187 
exterior RC slab above the sacristy, and the RC slabs of the bell towers. The adopted 188 
triangular (T15SH) and quadrilateral (Q20SH) shell elements present linear interpolation  189 
[31].  190 
Finally, although it is a cumbersome task to model the elements above the sacristy as 191 
solid FEs, this procedure was adopted because a representative structural arrangement 192 
using shell or beam elements would have be difficult to idealize and the reliability of the 193 
approach would have required careful analysis. Hence, the four piers and arches, as well 194 
as the interior rotunda walls and main dome structure, were modelled with solid elements 195 
(see Fig. 4(a)). For solid elements, brick (hexahedral HX24L) and wedge (tetrahedral 196 
TP18L) elements were used [31]. Regarding the boundary conditions, all the degrees of 197 
freedom were restrained, namely at the base of the four piers, the masonry walls, and the 198 
columns.  199 
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The final mesh of the Basilica’s model is presented in Fig. 4c. The priority was to achieve 200 
a regular and mapped type of discretization with an average size dimension of 150 mm. 201 
However, this algorithm was not always possible to be fulfilled especially in the sacristy 202 
elements and at its vicinity. Thus, the use of wedge solid elements and triangular shell 203 
elements, with a more refinement level, has been considered in some cases to better 204 
embody the geometry details and guarantee the mesh compatibility between the adjoining 205 
elements. The final model, presented in Fig. 4(b), has a total of 36,758 elements, in which 206 
1,720 are beam elements, 27,919 are quadrilateral shell elements, 235 are triangular shell 207 
elements, 5,661 are brick elements, and 1,223 are wedge elements. The total number of 208 
degrees of freedom is 178,719. 209 
3.2 Material properties 210 
To represent the physical nonlinear behaviour, a total-strain fixed crack model was 211 
adopted [31]. This approach makes it possible to describe the tensile, compression, and 212 
shear nonlinear behaviour for a continuum model. Failure is initiated when the principal 213 
stresses reach the maximum allowable (material tensile strength) stress, being the cracks 214 
orthogonal to the principal stresses direction. The initial cracking orientation is 215 
maintained as fixed despite the possible variation of the principal stresses direction during 216 
the loading process (see [31], [44]). Such assumption follows, in fact, the physical nature 217 
of cracking. A shear retention value has been defined as 0.1. The diagrams that represent 218 
each material in terms of stress–strain relationship were also defined. In the present case 219 
study, only masonry and concrete elements are assumed to have material nonlinearity and 220 
its behaviour given by a parabolic stress–strain relationship for compression and an 221 
exponential stress–strain relationship for tension behaviour, see Fig. 5. 222 
The material and mechanical properties are presented in Table 1. Bear that, although the 223 
values used for the masonry refer to the equivalent homogeneous material, a unit-cell 224 
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homogenized strategy was not employed. Instead, information provided by the NZ 225 
authorities and from literature [45], such as the Young’s modulus and compressive 226 
strength of masonry units and reinforced concrete, was considered in the preparation of 227 
the numerical model. For the inelastic parameters, the recommendations in the literature 228 
were adopted [46], [47]. In this regard, the complex morphology of the masonry cross 229 
section was not accounted and, therefore, the possibility of occurring a disaggregation 230 
between each leaf of the walls implicitly disregarded.  231 
The existence of transversal steel connectors between the three-leaf masonry walls [33] 232 
and the failure modes of the Basilica observed after the occurrence of the seismic events 233 
(belfry towers collapse) can, in part, support the assumption of a monolithic behaviour of 234 
the walls. This approach is also used effectively in other studies ([6]–[8], [43], [48]–[53] 235 
where the obtained failure modes of related URM buildings tend to be governed by its 236 
geometrical features, within mechanisms formed by the movement of macro-elements, 237 
rather than by a local wall leaf disaggregation. Thus, it is expectable that a macroscopic 238 
approach, using a simplified (yet realistic) equivalent masonry material with a low tensile 239 
strength, can capture well the global damage and allow to draw the more prone to occur 240 
failure mechanisms. 241 
After the earthquakes of 4 September 2010 and 22 February 2011, dynamic identification 242 
tests were carried out to estimate the mode shapes and frequencies of the Basilica [39]. 243 
The experimental modes present very complex mode shapes, due to the severe existing 244 
damage and local effects, and were not considered. Instead, a non-damaged model was 245 
considered for the seismic analysis and to understand the damage observed. 246 
At last, it is important to refer that a modal dynamic identification has been performed 247 
after the earthquakes of 4 September 2010 and 22 February 2011. The data retrieved by 248 
this dynamic test can be useful to calibrate the elastic material properties of the structure. 249 
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However, as addressed in the damage survey section, the Basilica suffered severe damage 250 
with occurrence of several partial collapses after the seismic events. Therefore, a 251 
calibration process of the elastic material properties requires the insertion of the reported 252 
damage within the Basilica’s numerical model. This task was develop in detail in [51] 253 
and a calibration between the numerical and experimental modal frequencies and shapes 254 
was concluded to be a hard and non-objective task. In fact, three points can support the 255 
decision of non-consideration of the damaged modal data in the present study: (1) the 256 
limited number of accelerometers used in the dynamic identification tests make 257 
impossible a better description of the damaged structure of the Basilica; (2) safety 258 
recommendations led to the use of a flying drone [69] to observe the interior damage of 259 
the Basilica, meaning the possibility that not all the damage has been collected; (3) the 260 
insertion of numerical damage (via a stiffness material reduction or by thickness decrease 261 
of shells) is always debatable and might lack real representativeness. 262 
3.3 Linear analysis for gravitational loads 263 
A linear static analysis of the Christchurch Catholic Basilica for the gravitational 264 
loads was performed, aiming at evaluating the mesh of the model, the displacements, and 265 
the stress concentrations. Fig. 6(a) presents the structural deformation, in which it is 266 
observed that the maximum displacement is approximately equal to 8 mm and occurs in 267 
the solid elements, that is, elements above the sanctuary. It is also noted that larger 268 
displacements occur in the second-floor slabs that are connected to the rotunda walls. 269 
The vertical stresses (see Fig. 6(b)) show that the maximum compressive value is equal 270 
to 1.8 MPa and occurs at the base of the altar piers for masonry. A peak value of the 271 
compressive stresses is also located at the connection of the west façade columns (1.1 272 
MPa). The maximum compressive stress in the base of the bell towers is equal to 0.8 MPa. 273 
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The values of compressive and tensile principal stresses for masonry elements are equal 274 
to 1.8 and 0.02 MPa, respectively. 275 
In general, the compressive and tensile stresses for the RC slabs are equal to 2.0 and 276 
0.2 MPa, respectively. The maximum stresses are located around the base and at the top 277 
of the sacristy arches, namely between the connections of beam elements from the nave, 278 
RC slabs, and solid elements. The maximum principal compressive stress on the RC slabs 279 
is approximately 10 MPa, which corresponds to about one third of the compressive RC 280 
strength. The maximum principal tensile stress is 0.8 MPa, which is a reasonably high 281 
value. It is frequent that in sharp corners, in point loading systems (as the connection 282 
between a beam element and a shell), when an abrupt load transition between different 283 
element types (as the present case) or among other cases [54], a stress singularity or 284 
concentration can occur [55]. Still, the value is lower than the expected tensile strength 285 
of concrete and RC elements present reinforcement steel bars that provide the expected 286 
tensile strength. 287 
3.4 Eigenvalue analysis  288 
An eigenvalue analysis was also performed to obtain the numerical frequencies 289 
and mode shapes of the undamaged structure. The first six global frequencies range from 290 
2.92 Hz (period of 0.34 s) to 5.84 Hz (period of 0.17 s). Bearing the first 100 modes, a 291 
cumulative mass participation of about 85% in each horizontal direction was obtained. 292 
The high number of modes is due to local modes on the roof trusses of the nave and main 293 
dome.  294 
The first six global mode shapes are presented in Fig. 7. The first mode corresponds to a 295 
global transversal mode (2.92 Hz). The maximum modal displacements occur in the main 296 
dome, bell towers, and west and nave façades. Due to the considerable stiffness of the 297 
sacristy piers, the surrounding façade walls present minor modal displacements than the 298 
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ones located in the nave. The second, third, fourth, and fifth modes are characterized 299 
mainly by movements of the bell towers. In general, from the first six modes it can be 300 
concluded that: (i) the bell towers, main dome, and nave façades are the more flexible 301 
elements as well as the more relevant elements for the Basilica’s dynamic behaviour; and 302 
(ii) the bell towers are slightly more vulnerable in the higher global inertial direction 303 
(longitudinal direction). 304 
4 Pushover Analysis 305 
The current codes guidelines permit the use of both nonlinear-static (pushover) and 306 
dynamic strategies in a seismic assessment of a given structure, see [32], [56]–[59]. It is 307 
the analysist choice to opt by the more indicating strategy bearing in mind the 308 
specifications of the problem at hand and the resources available. 309 
The seismic performance of the Cathedral was evaluated through a pushover 310 
analysis. This is a time-invariant analysis (static) and is usually more computational 311 
attractive than a nonlinear dynamic analysis with time integration. The seismic forces are 312 
considered by applying a horizontal and monotonically increasing load on the structure 313 
after application of the self-weight (vertical load).  In this case study, a uniform pattern 314 
was adopted for the applied horizontal loads; that is, the distribution of applied forces is 315 
proportional to the mass distribution of the structure. The load direction is in agreement 316 
with the global coordinate system of the numerical model and followed the positive and 317 
negative axes in the longitudinal direction of the Basilica (± X). To avoid redundant 318 
analysis, because the results are the same, only the positive direction of the transversal 319 
direction was evaluated (+Y) (Fig. 8a). A total of five control nodes, strategically located 320 
at elements with higher relative horizontal displacements, were considered in the analysis. 321 
The damage was evaluated based on the maximum principal tensile strain, which is an 322 
indicator of the cracking. 323 
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The adoption of such uniform load pattern can, depending on the case study, lead to 324 
some misrepresentation of the capacity when compared with a modal pushover analysis 325 
[60]. The latter deviations tend to be relatively more important in cases where higher 326 
mode effects can be influential in the structures behaviour [61], [62]. Yet, following the 327 
recommendations of the New Zealand guidelines [63], such effect is not likely to be 328 
significant when the mass participation of the first mode is, in a given direction, equal or 329 
higher to 60%. The participation modal masses (first two modes) described in Fig. 7 330 
corroborates the latter, which supports the strategy considered. Furthermore, being a non-331 
adaptive method, it allows to follow a more straightforward approach and within an 332 
attractive computational time than any other pushover method and, especially, than a 333 
dynamic analysis. 334 
The differences between the nature of quasi-static and dynamic analysis are well 335 
addressed in the literature [61], [62], [64]. Focusing on the particular type of URM 336 
buildings with historical and cultural values, several works demonstrate that quasi-static 337 
approaches allow a good estimation of the lateral load capacity when compared with the 338 
results from a dynamic analysis, see e.g. [60], [65]–[68]. Likewise, comparable failure 339 
patterns were also derived but, damage appears to be more localized in the pushover 340 
analysis and more spread in dynamic ones, see [65], [66], [68]. 341 
At last, and before the output of the results, two issues may be pointed out. Firstly, 342 
the pushover analyses have been performed using an undamaged model as basis for both 343 
considered earthquakes. Even if the structure was already damaged before the February 344 
2011 earthquake, the later was not so extensive or relevant as reported in section 2.2. In 345 
fact, the February 2011 earthquake was much more severe, with a horizontal PGA 1.9 346 
times higher than the previous main seismic event of September 2010 and led to moderate 347 
to severe damage and the collapse of the two belfry towers. The authors therefore expect 348 
 16 
that such modelling assumption is valid and the results, in terms of derived numerical 349 
damage and seismic capacity found, not so different from the ones accounting with a 350 
damaged model. 351 
Secondly, the consideration of vertical components in the numerical modelling is still 352 
an open discussion since the association of existing damage as an direct effect of vertical 353 
motions is difficult to carry on [69]. Although vertical accelerations are typically much 354 
lower than its horizontal counterparts (unless of near field ground motions) and thus not 355 
the main cause of damage to structures it does not mean that they are not important. In 356 
the present study, the vertical PGA of the February 2011 earthquake is significant and 357 
could have an implication in the obtained damage of the Basilica. This can decrease the 358 
pre-compression states of the Basilica structural parts and consequently increase the 359 
possibility of shear induced damage to occur more easily due to the horizontal 360 
accelerations. Nevertheless, due to numerical convenience reasons, these have been 361 
disregarded in the seismic assessment of the Basilica. Still, it is important to highlight the 362 
awareness on the potential repercussion of this choice, i.e. the retrieved structural seismic 363 
capacity can be non-conservative. 364 
4.1 Adopted numerical controls 365 
The seismic performance of the Cathedral was evaluated through a pushover 366 
analysis. The seismic forces are considered by applying a horizontal and monotonically 367 
increasing load on the structure after application of the self-weight (vertical load).  The 368 
horizontal load-step was initially defined to be equal to 0.01, meaning that the structure 369 
is subjected to a total lateral load of 1% of its self-weight at each step. Once material 370 
nonlinearity is being considered for both masonry and RC elements, a quasi-Newton 371 
iterative method improved with an arc-length procedure and a line search algorithm was 372 
defined. This procedure intends to correctly catch the capacity curve post-peak by solving 373 
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snap-back and snap-through numerical related issues within a load step, by changing the 374 
displacement-based increment associated, see [70] for further details regarding the arc-375 
length method. A convergence energy-based criterion equal to 1.0 × 10–3 [31] was 376 
adopted. The numerical simulations stopped when the latter criterion was not respected 377 
which does not necessarily mean that a collapse has occurred but, given the very large 378 
displacements and extensive damage present in the model, were considered satisfactory. 379 
4.2 Longitudinal direction +X 380 
The control nodes assumed for the pushover analysis in the longitudinal direction 381 
+X are located at the west tympanum wall (node 1), at the top of the main dome (node 2), 382 
and at the top of the bell tower (node 3) (Fig. 8). The capacity curves are presented in Fig. 383 
9. All the control nodes have a marked nonlinear behaviour, in which the linear limit 384 
(onset of cracking) occurs for a load factor of about 20% of the gravity acceleration (0.20 385 
g). The top of the tympanum west wall (node 1) has a larger horizontal displacement than 386 
the main dome node (node 2) and the bell tower node (node 3). A maximum horizontal 387 
load of about 66% of the structure self-weight (0.66 g) was applied. 388 
The behaviour and damage assessment of the structure for the seismic events of both 389 
September 2010 and February 2011 was assessed by considering the applied horizontal 390 
load to be equal to the registered PGA values [34] of the Christchurch recording station 391 
(see Section 2.2). The maximum displacement is 23 mm for the September earthquake 392 
(node 1, 2 and 3) and 69 mm (node 1) for the February 2011 earthquake; see Fig. 9(a). 393 
For both earthquakes, the larger displacements are located on the top of the elements. 394 
However, the horizontal relative displacements do not present a linear increase in 395 
elevation. The first-floor walls present a significant in-plane displacement (and damage), 396 
which is observed from the inter-storey drifts and the deformed shape of the bell tower 397 
(Fig. 9(b)). 398 
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The principal tensile strains that occurred in the south façade are in agreement with the 399 
displacement-based results. For a PGA of 0.22 g, which represents the seismic event of 400 
September 2010, minor cracks are observed around the first-floor openings. However, for 401 
a PGA of 0.43 g, the severity of the damage increases (Fig. 10). It is observed that the 402 
damage, caused by in-plane shear stress, is concentrated in the first-floor walls, that is, in 403 
the openings and the wall connections (shell elements). The latter is especially observed 404 
in the bell towers.  In fact, the elements added in the 2004 strengthening works, namely 405 
the RC slabs in the bell towers and nave, as well as the steel braces and ring beams of the 406 
third floor of the bell tower, improve the seismic behaviour of the structure (see Fig. 9). 407 
However, once no strengthening measures were considered at the first floor, the damage 408 
tends to be localized at these masonry walls (as depicted in Fig. 10). 409 
The west tympanum wall presents horizontal cracks at the top of the RC slab 410 
reinforcement. This damage is in agreement with the expected failure mode of this type 411 
of element, which causes a rotation line and consequently out-of-plane rocking of the 412 
tympanum. In the solid elements, the piers present maximum principal compressive 413 
stresses of 2.5 and 6.5 MPa at the piers–arches connection for PGA values of 0.22 and 414 
0.43 g, respectively. Failure by crushing of the piers at the base does not occur for either 415 
PGA value (stress value lower than the compressive strength of the masonry).  However, 416 
for both seismic events, horizontal cracks are expected at both the base and the top of the 417 
piers as a result of the rotation of these elements. The rotunda also presents damage, 418 
namely shear cracks in the north and south walls. The damage is more severe near the 419 
second-floor opening that provides a passage between the interior arches and exterior 420 
balcony. 421 
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4.3 Longitudinal direction –X 422 
In the pushover analysis in the longitudinal direction –X, the control nodes 1, 2, 423 
and 3 were considered. The capacity curves (Fig. 11) show that the west tympanum wall 424 
(node 1) and the bell towers (node 3) are the most vulnerable elements found in this 425 
analysis. The last elements have a marked nonlinear behaviour, in which the linear limit 426 
(initial cracking) occurs for a load factor of about 15%. The maximum horizontal load 427 
factor applied in this analysis is equal to 0.35 g due to convergence issues. For this load 428 
level the west façade tympanum and the bell towers reach their maximum load capacities 429 
(nodes 1 and 3), causing difficulties in the solution convergence of the system equilibrium 430 
equations. The results show that the west gable wall and the bell towers have lower 431 
strength capacity in the –X direction. This can be explained by the confinement action 432 
caused by the rotunda walls, which occurs in the +X direction (the confinement is only 433 
possible due to the modelled roof trusses). This behaviour does not occur for the –X 434 
direction, because the out-of-plane movement of the west façade tympanum leads to 435 
tensile stresses that cannot be withstood by the rotunda walls, due to the low tensile 436 
strength of masonry elements. 437 
On the basis of the deformed shape and drifts presented in Fig. 11, it can be concluded 438 
that the relative inter-storey displacements of the bell towers are higher at the first and 439 
second stories. However, the horizontal displacement that occurred at the top of the bell 440 
towers is greater (97 mm, in comparison to ≈55 mm), even for a lower load level. This is 441 
explained by the inelastic behaviour of the structure, which is lower in the +X direction.  442 
The crack pattern is similar to the damage obtained in the pushover analysis in the +X 443 
direction, that is, a high concentration of cracks in the north and south walls (nave and 444 
sacristy) near the openings (Fig. 12). The longitudinal façades present damage caused by 445 
in-plane shear stresses. Therefore, the main difference in the in-plane behaviour of the 446 
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longitudinal façades found in the pushover analysis in the +X and –X direction 447 
corresponds to the way in which diagonal shear cracks propagate.  It is also important to 448 
refer to another difference in the damage pattern, highlighted in Fig. 12 by a dashed circle, 449 
which corresponds to the damage at the connection between the south nave and south 450 
stairwell wall. This is not related to a shear action but is instead caused by the pushover 451 
action in these elements (tensile stresses). Thus, if the pushover analysis in the +X 452 
direction causes moderate damage in the bell tower walls, the pushover analysis in the –453 
X direction creates a crack pattern prone to an out-of-plane failure mechanism. 454 
4.4 Transversal direction +Y 455 
In the pushover analysis in the transversal +Y direction, different control nodes 456 
were used, namely nodes 4 and 5, since they correspond to nodes located in elements that 457 
exhibit the maximum horizontal displacement in this direction (see Fig. 8).  The capacity 458 
curves show that the outset of cracking, which leads to the decrease of the initial stiffness, 459 
occurs for a lateral load value that ranges from 15 to 20% of the self-weight (Fig. 13(a)). 460 
Thus, the vulnerable elements of the structure are the bell towers. It is also observed that 461 
the main dome (node 2, according to Fig. 8b) presents the lowest horizontal displacement. 462 
The main damage obtained in the pushover analysis in the +Y direction is presented in 463 
Fig. 14. The damage pattern is similar, as expected, for the horizontal load equal to 0.22 464 
g (September 2010 earthquake) and 0.45 g (approximately equal to the PGA of the 465 
February 2011 earthquake). Nevertheless, the structure presents low damage for the load 466 
coefficient of 22% of the self-weight and thus only the damage that occurs for a horizontal 467 
load equal to 0.45 g is presented. 468 
Fig. 14(a) shows that the concentration of tensile stresses occurs at the top of the 469 
connection between the façade and the north bell tower. A set of diagonal cracks is also 470 
observed in Fig. 14(b), due to in-plane shear stresses near the openings of the west and 471 
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east elevations and near the wall connections, mainly in the transversal walls of the 472 
transepts and in the second floor of the east wall. The Basilica also presents cracking at 473 
the second-floor slab near the east rotunda wall, as well as damage at the south, east, and 474 
west rotunda walls (Fig. 14(b)). The same type of damage also occurs in the four large 475 
piers, which present horizontal cracking due to tensile stresses caused by the outward 476 
movement (bending).  477 
Furthermore, diagonal shear cracks are very clear in the transversal walls of the south and 478 
north façades. There is no occurrence of toe crushing and, similarly to what occurs in 479 
pushover analyses in the longitudinal direction, the difference between displacements of 480 
the first and second storeys is considerable, being the main cause of the concentration of 481 
shear cracks at the first floor of both bell tower walls. In addition to the damage already 482 
reported, there is a lower capacity to dissipate energy in the transversal direction, and the 483 
transversal interior walls present damage (Fig. 14(c)). 484 
4.5 Results and discussion 485 
From the results of the nonlinear static analyses it is possible to put forward several 486 
final remarks about the structural behaviour of the Christchurch Catholic Basilica in 487 
response to seismic loads. The pushover analyses allowed the crack patterns and failure 488 
mechanisms to be obtained and several in-plane and out-of-plane mechanisms were 489 
observed. The areas with concentration of damage are the two bell towers, the interior 490 
and transept walls transversally positioned, the top of the west gable wall, the north and 491 
south walls of the rotunda, the west wall of the sacristy, and the second-floor RC slab 492 
near to the rotunda walls. Furthermore, cracks were observed near the openings 493 
throughout all the external façades of the structure, at the interior walls, and in the RC 494 
slabs. 495 
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The damage obtained in the four piers is caused by tensile stresses due to the bending 496 
behaviour. The piers do not present high displacements at the top in any of the analyses. 497 
The main reason for this limited displacement can be related to: (i) their high stiffness, 498 
which leads to lower horizontal displacements at the top (it is noted that the slenderness 499 
ratio of the piers is approximately equal to three [height/transversal dimension, 500 
considering only the first floor]), see Fig. 4a; and (ii) the existence of interior transversal 501 
walls indirectly connected with these piers, see Fig. 14(c), that have a structural important 502 
out-of-plane role. Finally, with the exception of the base of the elements, the main dome 503 
walls do not present any relevant damage (Fig. 14(b)), which leads to the conclusion that 504 
the action of the RC ring beams is effective. In general, it is possible to conclude that the 505 
damage obtained from the numerical model is in good agreement with the observed crack 506 
pattern after the series of earthquakes. The model also indicates that the structure is unsafe 507 
for an earthquake such as the one experienced, so significant damage would be expected 508 
and thus likely the occurrence of a local collapse, particularly of the bell towers.  509 
5 Strengthening proposals 510 
This section presents two strengthening proposals to be implemented in the 511 
Cathedral, taking into account the strengthening intervention of 2004. The goal is to 512 
guarantee the ultimate limit state (ULS), that is, to prevent collapse of structural elements 513 
for the highest mean horizontal PGA recorded in the 2010 and 2011 earthquakes. Thus, 514 
the value assigned as performance reference for the structural assessment is given by 515 
0.43 g and is defined by the February 2011 seismic event (it corresponds to a period of 516 
return around 400 years for new buildings design according to [32]). The NZS 1170 was 517 
revised after these seismic events and the updated version states that the strength of a 518 
damaged structure must be re-established at 33% of the full requirements of the code for 519 
new structures [33].   520 
 23 
Based on the principles of the New Zealand Committee of ICOMOS, there is an inevitable 521 
concern regarding buildings with cultural and historical value, and interventions should 522 
be carried out only after a careful analysis, in order to avoid collapse and minimize 523 
intervention works [14]. 524 
Several strategies can be adopted to improve the seismic capacity of the Basilica. In 525 
general, the strengthening solutions could include the improvement of material properties, 526 
through grout injection [71] or mortar repointing [72]; the reduction of torsion effects by 527 
the confinement of structural elements in order to obtain better in-plane and out-of-plane 528 
seismic behaviour of the masonry wall; and the improvement of connections between 529 
elements [73]–[74]. Regarding the last, strategies as, the addition of ring RC beams, ties 530 
to prevent out-of-plane collapse, rigid diaphragms to guarantee box behaviour, composite 531 
wraps on piers to improve the in-plane shear and bending behaviour [75], [76], are 532 
reasonable solutions. The two strengthening interventions proposed in this study are 533 
mainly focused on preventing the collapse of the bell towers (see Fig. 15). 534 
5.1 Strengthening proposal 1 535 
In the first strengthening proposal, a set of stainless steel tie rods with 12-m-long 536 
are applied to the structure at the level of the floors being anchored in the slabs. The aim 537 
is to improve the connection between orthogonal walls, allowing a better force 538 
distribution into the nave walls and preventing out-of-plane collapse of the bell towers. 539 
This intervention is commonly used [74] and is in accordance with modern 540 
concerns, because it is reversible and brings minimal constraints and architectural 541 
interferences. The concern about corrosion is also overcome by using stainless steel tie 542 
rods. This intervention includes the application of seven stainless steel tie rods (class AISI 543 
316L) with a diameter of 32 mm, divided into two levels, in each tower (Fig. 16(a)). The 544 
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ties are anchored through steel plates or anchor bolts in the slabs (third level) and wall 545 
(second level). 546 
The axial design force of the steel tie beams was derived from the concept of limit analysis 547 
bearing the bell towers overturning mechanism from Fig. 15a [77]. The ties may assure 548 
the masonry towers equilibrium for, at least, a lateral load capacity of 0.43 g, i.e. the 549 
assumed reference value. The maximum allowable tie stress is given by the elastic 550 
resistance defined by the design steel grade (yield tensile strength of 190 MPa) [78]. The 551 
dimensions of the plates were designed to avoid failure of: (i) the steel components, i.e. 552 
punching of the plate [78] ; and (ii) failure by masonry pull-out, i.e. the so-called masonry 553 
cone-breakout according to [79]. Note that the design of the latter systems is an iterative 554 
procedure, meaning that the design force was verified and validated after performing the 555 
quasi-static analysis. 556 
5.2 Strengthening proposal 2 557 
The second strengthening proposal keeps the three tie rods of the first proposal at 558 
the main façade but includes ring beams at the bell towers instead of the stainless-steel 559 
tie rods (Fig. 16(b)). The design of the steel tie beams and respective anchor plates follow 560 
the same guidelines used for the first strengthening scheme. For the rings, after 561 
conducting several quasi-static analyses with different cross-section dimensions, stainless 562 
steel channels with a height of 180 mm (class AISI 316L) were used. These allowed to 563 
achieve the intended behaviour of the bell towers confinement and are a reasonable 564 
choice, according to the authors experience. The stresses found in the connection of the 565 
ring beams are far from the ultimate design ones, according to [78]. Yet, it may be 566 
remarked that it is assumed that its steel members should be welded to guarantee a 567 
monolithic frame (rigid connections). Its connection with the walls may be accomplished 568 
[74], [80]: (i) in the inner side of the wall, through inclined stainless steel anchorages; or 569 
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(ii) at both the inner and outer sides of the walls, through threaded rods inside a grouted 570 
duct. The goal is to improve the connection between structural elements, namely the bell 571 
towers and nave walls. Furthermore, it allows confinement of the bell towers in order to 572 
facilitate a better force distribution and prevent out-of-plane collapse. 573 
5.3 Results and discussion 574 
The efficiency of the strengthening proposals was evaluated based on pushover 575 
analysis. Only the pushover analysis in the longitudinal direction –X was performed (out-576 
of-plane mechanism of bell towers and main façade with lowest load capacity). The 577 
capacity curves (Fig. 17(a)) show a clear improvement in the load and inelastic 578 
displacement capacity of the structure, for which at least a maximum horizontal load of 579 
about 0.57 g was obtained (strengthening proposal 2). The strengthening proposal 1 580 
presented at least a maximum horizontal load equal to 0.49 g. It is noted that the maximum 581 
horizontal load applied to the non-strengthened model is equal to 0.35 g. 582 
In what concerns the crack pattern of the non-strengthened model, the Basilica suffered 583 
severe damage to both bell towers and the vicinity walls for a horizontal load of 0.35 g 584 
(Fig. 18(a)). Extensive cracking due to in-plane shear failure is observed (note that that 585 
the strain values shown are too large, indicating a fully formed mechanism. At this stage 586 
large displacements and large strains should be considered but this does not affect the 587 
conclusions obtained or the peak capacity values). The bell tower presents a maximum 588 
principal strain of 0.0598 around the first storey window, which can activate the out-of-589 
plane failure mechanism observed after the earthquakes (see Fig. 3b). It is expected that 590 
the interventions could prevent the formation of the later failure mechanism and thus the 591 
bell towers collapse. Fig. 18(b) and (c) show that the results are in accordance with what 592 
was expected, with insignificant damage being observed at the bell tower walls. Hence, 593 
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the strengthening measures distribute the loads to the nave walls and nave slabs, causing 594 
more damage to these elements, namely some cracks in the first floor of the nave. 595 
Considerable differences in the damage to the interior walls are also presented. In the 596 
non-strengthened structure (Fig. 19(a)), the occurrence of damage in the interior walls 597 
and second-floor slab is clear. However, the severity of the damage decreases 598 
significantly for the strengthened models; see Fig. 19(b) (the results for the two 599 
interventions are similar). 600 
Finally, the seismic performance of the structure with the strengthening proposals 601 
incorporated was also evaluated for a horizontal load equal to 0.43 g, which represents 602 
the PGA of the February 2010 earthquake. Fig. 20 presents the principal tensile strains, 603 
from which it can be observed that the first strengthening model suffers more damage 604 
than the strengthening model 2. Moderate damage is also present in the first floor, with 605 
severe cracking around the openings, which is a pattern of damage similar to the obtained 606 
with the unstrengthen model in Fig. 18a. Some crack is also visible in the second floor, 607 
which it is explained by the difference in stiffness of the elements, mainly due to the RC 608 
bond beams added at the third floor. Thus, the strengthening proposal 1 is an effective 609 
solution as it creates new loads paths and delays failure. However, it does not provide 610 
sufficient strengthening to change the condition of the bell towers as the most vulnerable 611 
elements.   612 
With respect to the second intervention, a better behaviour is obtained. In fact, the use of 613 
steel rings between openings makes it possible to achieve a better monolithic behaviour 614 
by better transferring forces into the nave walls (stiffer walls in the longitudinal direction). 615 
This leads to considerably lower inter-storey displacements and a smooth deformed shape 616 
(Fig. 17(b)). Minor cracking is also observed in the strengthened model 2, similarly to the 617 
strengthened model 1, leading to the conclusion that the 12-m-long ties anchored to the 618 
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slab at the second level are efficient (see the crack line with an inclination of 45º on the 619 
second floor of the nave in Fig. 17(b)). 620 
6 Conclusions 621 
Seismic assessment was conducted and vulnerability reduction of the Christchurch 622 
Catholic Basilica (New Zealand) was studied. The earthquake sequence of 2011 caused 623 
severe damage to the Basilica’s structure and an FE model of the Christchurch Catholic 624 
Basilica was subsequently prepared based on the macro-modelling approach. The seismic 625 
assessment was performed using a non-calibrated FE model of the Basilica through 626 
pushover analysis in order to compare the results with the observed damage. Three 627 
pushover analyses were carried out (±X and +Y), in which the material properties were 628 
defined based on the recommendations from the literature and NZ authorities.  629 
From the results of the pushover analyses, it could be concluded that the transversal 630 
direction corresponds to the most vulnerable direction of the structure. Furthermore, from 631 
the pushover analysis in the longitudinal direction –X, it could be concluded that the bell 632 
towers are the most vulnerable elements of the structure.  633 
The structural strengthening undertaken in 2004 played a decisive role in the avoidance 634 
of further damage, but this strengthening was insufficient to prevent local failure 635 
mechanisms. The numerical results indicate that the structure is unsafe for an earthquake 636 
such as the one experienced in February 2011, in which the collapse of the bell towers 637 
and significant damage would be expected.  638 
The model allowed the identification of two possible strengthening solutions that could 639 
change the outcome of similar seismic events to be addressed. The solutions adopted 640 
follow the criteria of reversibility and low invasiveness recommended by ICOMOS [14]. 641 
The results show that both strengthening interventions improve the Basilica’s behaviour. 642 
The second strengthening proposal, which includes stainless steel rings, presents the best 643 
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seismic performance, guaranteeing a safety level of the bell towers of at least 40% of the 644 
full code requirements [33]. 645 
Still, such safety levels have been found using as basis the undamaged model of the 646 
Basilica. The goal was to assess the expected damage, if this intervention has been carried 647 
out before the occurrence of the seismic events. It would be an interesting exercise to 648 
draw conclusions if the intervention works have been conducted after the seismic events 649 
occurrence, however: (i) the damage caused by the September 2010 earthquake is not so 650 
relevant to change, by itself, the conclusions addressed upon the non-damage model. In 651 
fact, the latter observation also supports the followed assumption of performing the 652 
seismic assessment of the Basilica through quasi-static analysis on the non-damaged 653 
model; (ii) the February 2011 earthquake led, apart from extensive moderate to severe 654 
cracking in the Basilica, to the collapse of both bell towers. The latter goes against the 655 
initial proposed goal of the strengthening interventions, i.e. avoid the collapse of these 656 
elements. 657 
Furthermore, from the results obtained in this study, the following conclusions could be 658 
drawn: (i) The first and second floors of the bell towers show a difference in stiffness 659 
from the third one, and thus the strengthening elements should be added along the bell 660 
tower’s height in order to avoid stiffness discontinuities. (ii) A considerable difference in 661 
the stiffness properties of the materials used (compatibility problems) is not 662 
recommended. This aspect was also stated in [33] and is mainly related to the added RC 663 
beams. (iii) A good connection between elements must be guaranteed to improve the 664 
distribution of horizontal loads. The so-called box behaviour, which is presented in the 665 
numerical model of the Basilica, also plays a decisive role. The diaphragm effect is not 666 
common in historical constructions [60] but has an important effect in the maintenance 667 
of the stability of the façades. The rigid diaphragms avoid out-of-plane collapse 668 
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mechanisms of walls; (iv) The formation of mechanisms is recommended, with the aim 669 
of overcoming the low shear and tensile strength of masonry, as demonstrated by the 670 
proposed intervention solutions. 671 
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Fracture energy [kN/m] 
Compressive 
(Gfc)   
Tensile 
(Gf)   
Masonry 20.0 2.00 0.15 8000 100 12.8 0.120 
RC (slabs 
and beams) 
25.0 41.0 0.20 30000 2000 25.0 0.054 
Steel 78.0 200 0.25 – – – – 
Timber 7.00 11.0 0.30 – – – – 







Fig. 2 – Geometry of Basilica of the Blessed Sacramento: (a) west elevation; (b) plan; (c) 
designation and location of important structural elements. 
 
                                     (a)                                                                             (b)  
Fig. 1 – Cathedral of the Blessed Sacramento: (a) north and west façades; (b) south façade. 
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Fig. 3 – Observed damage in the Basilica after the February 2011 earthquake: (a) West façade, 
damage at the two bell towers; (b) Detail of the west wall collapse of the south bell tower; (c) 
Collapse in the north arch of the sanctuary; (d) Severe damage to the south arch spandrel; (e) 






Fig. 4 – Three-dimensional model: (a) Shell and solid elements: west–east cut-away perspective with 
shell elements (coloured white) and solid elements (coloured grey); (b) Mesh discretization; 
(c) Description of the materials; (d) FE discretization of the main and interior dome. 
 
Fig. 5  – Stress and strain curves for the tension and compression regimes defined in the total strain fixed 





Fig. 6 – Results of the analysis due to the gravitational loads: (a) Total displacements; (b) Vertical stresses. 
 893 
 
Fig. 7 – First six global mode shapes and cumulative mass participation for the non-damaged structure (the 894 
roof truss beams are not depicted for clarity reasons). 895 
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Fig. 8 – Directions and control nodes for the pushover analysis: (a) Applied load directions (longitudinal, 
X; transversal, Y); (b) Control nodes used for evaluating the response of the structure. 
 896 
 
Fig. 9 – Pushover analysis in the longitudinal direction +X: (a) Capacity curves for control nodes 1, 2, and 
3; (b) Inter-storey drifts ratio of the bell towers for the maximum load factor applied. 
 897 
 
Fig. 10 – Principal tensile strains in the south façade walls for the pushover analysis in the longitudinal 






Fig. 11 – Pushover analysis in the longitudinal direction –X: (a) Capacity curves for control nodes 1, 2, 
and 3; (b) Inter-storey drifts ratio of the bell towers for an applied load factor equal to 0.35 g. 
 
Fig. 12 – Principal tensile strains at the south façade walls for the pushover analysis in the longitudinal –
X direction (0.35 g). (The nave roof frame is not represented). 
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Fig. 13  – Pushover analysis in the transversal direction +Y: (a) Capacity curves for control nodes 2, 4, 
and 5; (b) Inter-story drifts ratio of the north bell tower for an applied load factor equal to 0.45 g. 
 
 
(a) (b) (c) 
Fig. 14 – Principal tensile strains for the pushover analysis in the transversal direction +Y for a horizontal 
load equal to 0.45 g (approximately equal to the PGA of the February 2011 earthquake): (a) West façade; 





(a) (b) (c) 
Fig. 15 – Bell towers failure mechanism: (a) Numerical damage for the horizontal load equal to 0.35 g (–
X direction); (b) and (c) Failure mechanism observed after the collapse of the south bell tower. 
 
Fig. 16 – Strengthening proposals: (a) First proposed intervention with stainless steel tie rods; (b) Second 





Fig. 17  – Strengthening proposals: (a) Obtained capacity curves; (b) Deformed shape at the south bell 
tower for a horizontal load equal to 0.43g; (c) Inter-story drifts ratio at the south bell tower for an applied 
load factor equal to 0.43 g. 
 
Fig. 18 – Comparison of principal tensile strains for the horizontal load equal to 0.35 g: (a) Non-
strengthened model; (b) Strengthened model 1; (c) Strengthened model 2. 
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Fig. 19 – Details of the principal tensile strains for the horizontal load equal to 0.35 g: (a) Non-strengthened 907 
model; (b) Strengthened model 1. 908 
Fig. 20 – Comparison of principal tensile strains for the horizontal load equal to 0.43 g: (a) Strengthened 909 
model 1; (b) Strengthened model 2. 910 
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